Abstract The paper presents the results of an experimental and theoretical investigation on the Pietratagliata cable-stayed bridge (Udine, Italy). Ambient vibration tests were performed in order to estimate the dynamic characteristics of the lower vibration modes of the bridge. Structural identification is carried out by means of a manual tuning procedure based on finite element models of increasingly accuracy. The analysis allows to improve the description of boundary conditions and mechanical interaction between the bridge components. Results from local dynamic testing are used to estimate the traction on the cables and to assess the integrity of the suspending system of the bridge.
Introduction
The design of suspension and cable-stayed bridges requires accurate finite element modelling for the prediction of response to loads, such as wind, traffic or earthquake [2, 6-8, 12, 13, 18] . This aspect is of particular importance for long-span bridges for which the estimate of the critical flutter velocity (sensitive to the relationship between the natural frequencies of the first vertical mode and the torsional modes) is crucial. However, even the dynamic analysis of cable-stayed bridges of small/medium size is of great practical interest: firstly, because these infrastructures are quite common and are of strategic importance in emergency situations; secondly, because accurate numerical models for medium-small bridges are rather difficult to develop, as the dynamic response is influenced by a large set of structural details that are usually less important for large bridges. In fact, long span cablestayed bridges can be very often modelled by slender beam elements with equivalent cross-section properties, whereas more sophisticated models are needed to capture the dynamic behavior of small bridges. Modelling of small/medium size bridges is usually sensitive to the description of boundary conditions and internal constraints, to construction details and constitutive equations of materials [4, 10, 11] .
This paper discusses some of the above aspects with reference to a cable-stayed bridge whose suspended span is 67 m long. An experimental and theoretical analysis was developed to study the dynamic behavior of the bridge. Ambient vibration tests (AVT) were conducted allowing the identification of the lower vibration modes via operational modal analysis (OMA) techniques. AVT and OMA are powerful tools for the determination of the modal parameters (i.e., natural frequencies and mode shapes) of full-scale bridges. Dynamic testing, in fact, does not interfere with the normal service of the structure and the methodology turns out to be particularly advantageous for flexible systems, such as large suspension bridges, cable-stayed bridges or arch bridges, for which the environmental vibrations can excite a significant number of principal modes belonging to the low frequency range.
The analysis developed in the first part of the paper demonstrates how a significant improvement in the match between modal parameters from a finite element model and measured data can be achieved using logical steps and justified modifications to update an initial numerical model of the bridge. The analysis also shows that the development of a sophisticated finite element model of the bridge entails a significant computational burden due to the numerical description of some structural details, such as, the boundary conditions at the base of the pylons of the tower and at the ends of the main longitudinal girders, and the connections between the cables and the tower/deck structures. In the second part of the paper, local natural frequencies of the stay cables estimated from ambient vibration tests were used to identify the axial force on the cables. The accurate finite element model of the bridge was used to assess the effects of potential collapse of one or two cables for structural health monitoring purposes. The analysis shows that natural frequencies are not particularly sensitive to these structural modification. On the contrary, damage induces appreciable changes in the shape of the lower vibration modes of the bridge, suggesting a potential use of this information for diagnostic purposes.
Description of the bridge
The bridge consists of a steel-concrete composite deck simply supported at the ends, a system of doubleplane cables supporting the deck, and an inclined steel tower, see Fig. 1 . The total length of the deck is 67 m. The bridge width is 11.10 m, including two lanes 3.50 m in width each and two lateral footways.
The deck structure consists of Predalles concrete panels and a reinforced concrete (RC) slab, 0.25 m in thickness, supported by two lateral steel girders and a longitudinal central beam. Longitudinal girders are connected to the transverse beams by means of bolted joints. Lateral and transverse longitudinal girders have double-T cross-section, 1.27 and 1.20 m high respectively, while a smaller cross-section (HEB500 type) is used for the central longitudinal girder. The RC slab is connected to the upper flange of the longitudinal girders by means of welded steel stud connectors (diameter 20 mm and height 200 mm).
The bridge deck is supported at the ends on a RC pier on the National Route (NR) n.13 side (total height 12 m and square hollow cross-section, with 3 m the edge size and 0.40 m the nominal thickness) and on a cast-in-place RC foundation block on the Pietratagliata side, see Fig. 2 . On the NR n.13 side, the position of the pier is slightly asymmetrical with respect to the longitudinal axis of the bridge (see detail a in Fig. 2 ), and two unidirectional bearing supports are used to sustain the lateral deck girders. On the Pietratagliata side, conversely, the lateral girders are restrained by means of cylindrical hinges. In addition, the deck is supported by three equally spaced groups of forestays on the upstream and downstream side. Each group consists of four Dywidag bars (Gewi St555/700 type, 63.5 mm in diameter) which are connected to the main girders by means of special metal devices (see Fig. 2 ). The length of these forestays ranges between 20.50 and 49.10 m (Fig. 1) . Further backstays, about 22.50 m long, connect the steel tower to a RC foundation block built on the rock. The tower consists of two inclined columns, having thin-walled circular cross-section 1.10 m in diameter (thickness 20 mm). The connection between the inclined columns is given by two thin-walled tubes, 0.50 m in diameter (thickness 15 mm), horizontally positioned at approximately 17 and 21 m of elevation from the deck. As in the case of the girders support on the Pietratagliata side, special restraints are realized at the base of the steel tower in order to reproduce the effect of cylindrical hinges.
The 
Preliminary finite element model
With the aim of planning the experimental campaign, a preliminary 3D finite element (FE) model of the bridge was implemented using the SAP2000 structural software package (version 9.1) [14] . The geometry and material properties of the FE-model were determined by using nominal dimensions and technical data derived from design reports and drawings, as well as experimental tests on samples. The main assumptions of the preliminary FE-model (denoted by M01-A) were as follows:
1. The RC deck was modeled using 4-nodes shell elements, with 6 degrees of freedom (DOFs) at each node. The effect of steel reinforcement and cracking of the RC slab was neglected. 2. Longitudinal and transverse girders were modeled by means of 3D frame elements. 3. Vertical rigid links were used to connect the shell elements of the RC slab and the corresponding nodes of the longitudinal and transverse frame elements (steel girders). Due to this assumption, no relative displacements and rotations were allowed between corresponding nodes. 4. Stays were described by means of 3D truss elements hinged at the ends. To represent a single group of four cables, an equivalent cross-section was taken into account. Additional lumped masses were introduced at each truss end to consider the inertia of cables. 5. The bracing system placed on the top and bottom side of the bridge deck was also included in the model (see Figs. 1, 2 ). Double L-shaped angular profile brace members were described by means of frame elements hinged at the ends. 6. The RC pier on the NR n.13 side was replaced with ideal supports (see point 8 Careful consideration was paid to the description of deck and tower restraints. In particular:
8. The unidirectional bearing devices at the girders ends on the NR n.13 side were described in the form of simply supports, able to allow displacements along the traffic direction and rotations of the deck around its perpendicular axis. 9. The end girders restraints on the Pietratagliata side were modelled as cylindrical hinges, whose axes are perpendicular to the traffic direction. Similar restraint was introduced at the base of the steel tower pylons.
Modal analysis on the preliminary M01-A FEmodel employed an unloaded configuration of the bridge, that is eigenvalue analysis was carried out by fully neglecting the overall non-linear behaviour due to the geometry change induced by the deformation of the cables under static dead loads. This analysis will be referred as linear modal analysis. Results are summarized in Fig. 3 , in the form of natural frequencies and corresponding mode shapes. The first twelve vibration modes include modes dominated by vertical oscillation of the deck under bending (type 'B', e.g., modes 1, 3, 6, 8, 12) or torsional ('T', modes 2, 4, 5, 7, 9) vibration. Few modes are mainly associated to oscillation of the pylon ('P', modes 10 and 11). It turns out that lower modes are generally well separated in frequency.
Instrumental layout and experimental procedure
Dynamic testing was carried out with the aim of identifying the low vibration modes of the bridge. Although the traffic on the bridge was rather scarce during testing (five-six cars per hour, approximately), tests were performed under the strict requirement of the Pietratagliata Municipal Authority that the operations would have not provided interference with service. By the above reason, no additional excitation (e.g., due to car/cars crossing the bridge, as it is usual for small-medium bridges studied via OMA techniques) was included to increase the signal-to-noise ratio, and almost pure ambient vibration testing was adopted to determine the dynamic characteristics of the bridge. This working assumption resulted in additional difficulty for the experimental analysis and interpretation of test measurements, as discussed in the sequel.
The instrumentation chain was based on a 16-channels data acquisition system, connected to a remote personal computer. The sensors consisted in 11 Sprengnether mono-axial servo-accelerometers operating in the frequency range 0-25 Hz. Each sensor was provided with a pre-amplifier having variable gain controlled by the remote computer. The signal was transmitted in differential modality to the acquisition 123 system, where it was converted in single-ended modality to be filtered and passed to a 16-bit A/D converter. Based on the modal analysis carried out on the preliminary M01-A FE-model of the bridge, the instruments were located at 20 selected points, 16 on the deck and 4 on the tower, as shown in Fig. 4 . Two setups were separately taken into account during the experiments. In setup S01, the vertical acceleration at pairs of opposite points in five transverse crosssections of the bridge deck and at the support on the National Route n. 13 was monitored. Considering two sensors as reference transducers, setup S02 allowed to complete the characterization of the vertical response of the deck and to measure the response at four points of the tower.
Time acquisition during tests was equal to 45 0 , corresponding to about 1600 times the period of the fundamental vibration mode of the bridge. The sampling rate used during acquisition was 400 Hz. During post-processing analysis, the signal data were further decimated in time by a factor 10, giving a baseband for the analysis ranging till to 20 Hz.
Experimental results and a comparison
with the preliminary M01-A FE model Natural frequencies, damping ratios and mode shape components were estimated by means of the enhanced frequency domain decomposition (EFDD) technique [5] and of the stochastic subspace identification (SSI) technique [16] , both available in the software package ARTeMIS [15] . As an example, Fig. 5a shows the singular values of the spectral matrices of all data sets. It can be seen that, in spite of the small amplitude of the ambient excitation, the peaks of the singular values associated to the first six lower vibration modes clearly emerge above the noise level. Besides the global principal modes, other peaks appear in the neighborhood of 1.3 Hz and in the frequency ranges 2.1-2.5, 3.7-4.3 and 6.3-6.8 Hz. Most of these peaks correspond to the lower modes of the stay cables, as it will be discussed in Sect. 5. For the sake of completeness, Fig. 5b shows the stabilization diagram obtained by applying the stochastic subspace identification (SSI) technique to the data coming from the measurement points placed on the deck in setup S02. Several repeated identifications were carried out separately, either on the same data-set or on partial data and using different baseband, in order to improve the estimate of the observable vibration modes. Modal parameters extracted by the two techniques resulted in good agreement, with few exceptions for damping ratios. Therefore, in the sequel reference is made to estimates obtained by the EFFD technique. Table 1 collects natural frequency values and damping factors, both obtained as mean value from the various power spectral density output measurements. Deviations of natural frequency estimate from the mean value generally resulted negligible, both in absolute and relative terms. Damping ratios typically resulted less than 1 %, with significant deviation from the mean value, especially for Mode 1. In the majority of the situations encountered during the analysis, the complex character of the identified modes was negligible, with mode components well approximated by Visual comparison and MAC criterion [3] allowed to determine the correspondence between experimental (OMA) and analytical (FEA) modes obtained from the preliminary M01-A FE Model of the bridge. A correspondence between OMA modes 1, 2, 3, 4, 5, 6 and FEA modes 1, 2, 3, 7, 6, 9 was found, with MAC values (calculated by taking into account the vertical displacements of the deck and the pylon displacements) generally comprised between 99.6 and 89.3. Despite the rather good correlation between the normalized vibration modes depicted in Fig. 6 , large discrepancy was found in term of natural frequency values (see Table 1 ), up to 13 and 16 % for bending and torsional modes, respectively. Based on the preliminary comparison collected in Table 1 , model updating and refinement was thus undertaken.
FE-model updating

A simplified FE model
In a first step of the model updating process, the effect of changes on the boundary conditions of the bridge deck were considered. Modifications were implemented directly in the original M01-A FE-model, so preserving the computational efficiency of the analysis. Basing on the modelling assumptions listed in Sect. 3.1 and taking into account the effective constraints of the bridge (see Figs. 1, 2) , the boundary restraints of the lateral deck girders were replaced by clamps on the Pietratagliata side. Moreover, the longitudinal displacement of the supports on the National Route n.13 side was restrained. This model is denoted as M01-B. As shown in Table 2 , the modifications typically resulted in an improvement of natural frequency estimations, thus suggesting the 123 fundamental role of a proper description of the mechanical interaction between the main structural components of the bridge.
A refined FE-model
The role of boundary conditions and internal constraints was fully investigated in the second stage of the model updating process by working on a more detailed FE model of the Pietratagliata Bridge. The refined FE-model, denoted as M02 in the sequel, was implemented by means of the ABAQUS/Standard computer package [1] . Careful consideration, in this case, was paid to the geometrical description of the bridge components (e.g., deck, pylon, cables and pier), as well as to their reciprocal interaction (Fig. 7 ).
4-node stress/displacement shell elements with reduced integration and large-strain formulation (S4R type available in the ABAQUS element library) were used for the description of the bridge deck and the steel tower, for a total amount of 82,000 and 29,000 shell elements, respectively. In order to reproduce the nominal geometry and provide refined description of the main structural details, a free meshing technique was used, with average size of shell elements equal to l m ¼ 0:15 m (0:015\l m \0:3 m) and l m ¼ 0:08 m (0:01\l m \0:17 m) for the deck and the pylon, respectively. A nominal thickness was assigned to these shell elements, lying on the middle plane of each bridge component. In the case of the deck, the structural interaction between the concrete slab and the longitudinal girders (e.g., where steel stud Mean value of the rth natural frequency (f r ) and damping ratio (n r ), with their maximum deviation. connectors are used) was described by means of tie constraints able to account for a rigid connection between the corresponding DOFs, along the bridge length (e.g., null relative displacements were imposed at the interface between the top flange of the girders and the corresponding mesh nodes belonging to the concrete slab). Beam elements (B31 type) with nominal geometrical properties were used for the double-L shaped metal bracings. Additional lumped masses, representative of the self-weight of these bracings, were applied at the ends of the beam elements. Lumped masses distributed among the concrete slab of the deck were also used to take into account the self-weight of the asphalt layer and the lateral footways. The steel cables, separately described in their six groups, consisted in beam elements (B31 type) with nominal cross-sectional area (63.5 mm in diameter) and overall length derived from technical drawings. Lumped masses representative of half the self-weight of the cables were applied at the ends of each beam element. The cables were then connected to the steel tower and to the deck respectively by means of join connectors able to restrain possible relative displacements between the interested nodes. Careful consideration was paid to the geometrical description of the metal supports and devices (see Fig. 7 , details A, B, and Fig. 8 ), so that local deformations and improper effects could be avoided.
Deck and pylon were then properly restrained. In the case of the pylon (Fig. 7, detail C, and Fig. 9 ), the metal devices at its base consisted in two inclined steel plates (80 mm in thickness) properly constrained, so that the typical base support could behave as a cylindrical hinge with respect to a local reference system (free r y 0 rotations, see Fig. 9 ). A master node equally spaced from the centers of the two circular holes and rigidly connected to the ground was assumed as the origin of the local reference system (x 0 , y 0 , z 0 ). Possible distortions of the two steel plates were prevented by implementing kinematic constraints able to kept fix the relative distance between their respective nodes (along direction y 0 ). Analogous modelling approach was used for the description of the deck restraints of the longitudinal lateral girders on the RC abutment on the Pietratagliata side, see detail D in Figs. 7 and 9 .
The RC pier on the NR n. . Possible soil-to-pier interaction was fully neglected, and the pier was rigidly connected at its base (u x ¼ u y ¼ u z ¼ 0). Careful attention was finally paid to the description of the mechanical interaction between the bridge deck and the RC pier (Fig. 7, detail E) . The unidirectional devices were described by means of slot connectors able to provide null relative displacements along the transverse and vertical bridge directions, between the connected nodes (u y ¼ 0 and u z ¼ 0, in the global reference system shown in Fig. 7) . On the contrary, longitudinal u x displacements and relative rotations (r x , r y , r z ) between the interested nodes were kept unrestrained. Concerning the characterization of materials, both concrete and steel were assumed to behave linear elastically, with mechanical properties derived from the preliminary FE-models M01-A and M01-B.
Globally, the so implemented M02 FE model resulted in 700,000 DOFs and 160,000 elements. The eigenvalue analysis was developed as follows. A static incremental nonlinear analysis under the effects of the bridge self-weight and dead loads (e.g., footways and asphalt layer) was preliminary carried out on the M02 FE model (Step I) in order to determine the equilibrium reference configuration. In the subsequent Step II, vibration modes were predicted by means of linear modal analysis around the reference configuration derived in Step I. The nonlinear approach used in Step I typically showed negligible modifications in the eigenvalue predictions compared to modal analysis results derived from a fully linear procedure (e.g., neglecting the geometrical change of the configuration induced by the weight of the bridge). Average discrepancy of about 0.6 % was found for the majority of the first 20 natural frequencies. Maximum discrepancies between the nonlinear and the linear procedure were found for few resonant frequencies only, with maximum deviations up to 4 % for higher modes associated to local vibration of the tower. As a result, the nonlinear solving approach was assumed as the reference one for further numerical investigations.
The high modeling and computational cost of the M02 FE model, the geometry refinement of the bridge components as well as their reciprocal interaction generally resulted in dynamic estimations in rather close agreement with test measurements. Table 2 proposes a comparison of OMA, M01-B and M02 natural frequencies, and corresponding MAC values.
The primary effect of the M02 FE model was represented by the prediction of the fundamental vibration mode at 1.599 Hz, not foreseen by the preliminary M01-A and M01-B FE models. The corresponding mode shape is characterized by torsional motion of the deck and large deformation of the steel tower (Fig. 10) . The presence of this vibration mode was also confirmed by further interpretation of test measurements (mode OMA 0 in Table 2 ). While the singular value curves of the spectral density matrix did not show the presence of this first torsional mode, probably since the corresponding natural frequency is very close to the fundamental flexural one (OMA 1), in a subsequent phase the modal parameters were separately estimated in the frequency domain, for the half-sum and half-difference of the recorded time histories of the deck measurement points, see Fig. 11a , b. Based on the vertical oscillations of two control points located on the opposite sides of the same transverse deck cross-section, this approach allows to distinguish bending modes from torsional modes. In fact, if a vibration mode is mainly flexural, the measured amplitude oscillation at the selected pair of control points are similar, and their difference is small. The half-sum of time histories, consequently, magnifies the presence of vertical bending modes and hides the peaks corresponding to torsional ones. Conversely, if a mode is mainly torsional, the vertical modal components at the same control points are similar in amplitude, but have opposite sign, so their sum is small. The half-difference of the corresponding time histories, as a result, automatically excludes the peaks associated to bending modes. By applying this technique to the available experimental measurements it was possible, based on the half-difference of the experimental responses, to identify the peak in the singular value curves of the spectral density matrix corresponding to the 0th OMA mode, see Fig. 11b . It should be noticed that a very careful inspection of Fig. 5a , b suggests the identification of the 0th OMA mode at 1.619 Hz. In fact, the second singular line in 123 Fig. 5a exhibits a relative maximum, and two alignments of stable poles are detected in the stabilization diagram in Fig. 5b . In addition to pointing out the presence of the fundamental vibration mode at 1.599 Hz, the numerical simulations carried out on the M02 FE model generally highlighted the importance of refined geometrical description of few, but crucial, bridge components. Specifically, the proper geometrical and mechanical characterization of the bridge supports (details C and D of Fig. 7 ) and the stays-to-deck and stays-to-pylon connections. On the other hand, however, the progressive increase of the modelling complexity required the solution of a series of additional uncertainties and numerical instabilities. Some of these cases are discussed in the sequel. As a first example, an improper or partial description of the connection detail between some bridge components typically caused the occurrence of higher local vibration modes (e.g., in the range comprised between 6 and 9 Hz). These modes are mainly characterized by local distortions either near the stays-tower and stays-deck connections (Fig. 8) or close to the deck and to the steel tower end restraints on the Pietratagliata side (Fig. 9) . The occurrence of local distortion phenomena was fully prevented by means of an accurate and computationally expensive description of the connection details, based on the technical drawings of the bridge, able to physically reproduce the desired restraint condition between the bridge components. Examples are proposed in Fig. 8a , where the optimized stays-tower connection is compared with a geometrically simplified, but improper connection. The same modelling approach was applied to the stays-girders connection systems (see Fig. 8b ), where local deformations were fully prevented by taking into account the nominal geometry of the steel supporting device and including all the stiffening elements in the model.
Concerning the restraint supports, the resonant frequency of the first vibration mode of the bridge highlighted a marked sensitivity to the deck and pylon base restraints (Fig. 9) , hence requiring a computational expensive geometrical modeling. The absence of the small steel stiffeners at the base of the steel tower (detail of Fig. 9 ), for example, resulted in underestimation up to 25 % the optimal frequency value of OMA mode 0. Similarly, the presence of the RC pier, involving an asymmetry in the overall geometry, also resulted in additional difficulties for the optimal correlation between the OMA and FEA vibration modes of the bridge. The main effect of the correct description of the pier geometry highlighted the presence of vibration modes pairs (e.g., typically bending modes of the deck), characterized by comparable in-phase or out-of-phase motion of the deck and bending deformation of the RC pier, corresponding to almost identical natural frequencies. This is the case, for example, of FEA modes 4 and 5. In all these circumstances, the correlation between OMA and FEA modes was based on minimization of natural frequency discrepancy values and MAC factor.
Finally, despite the very good correlation between OMA and FEA frequencies, it should be noted that rather scarce MAC values were found in some circumstances. This is the case of higher vibration modes (e.g., OMA mode 5 in Table 2 and the corresponding M02 mode 8) characterized by significant motion of the deck coupled with large deformation of the steel tower. Due to few available experimental measurements, modal correlation was undergone in this case by taking into account not only the natural frequency and the calculated MAC value, but also an additional visual correlation. Overall, good agreement between OMA and M02 predictions justified the fundamental role of the sophisticated FE-model, especially for future, possible diagnostic applications.
5 Dynamic determination of the axial force on stay cables
Test measurements and their interpretation
A series of ambient vibration measurements were carried out on all the cables supporting the deck, with the final goal of estimating the axial force acting on them. Dynamic tests were performed by collecting the transverse acceleration time-history of each cable on the vertical plane, at control points placed approximately at the lower third of each cable. Time series of 1200 s were recorded in each experiment. Cable natural frequencies were identified by computing the auto-spectrum of the acquired acceleration signals. Time series were low-pass filtered and decimated before computing the auto-spectrum via the modified periodogram method [17] , for a resulting frequency resolution of about 5/100 Hz. The analysis of the spectral plots obtained for the cables clearly highlighted the first six natural frequencies of each cable. Table 3 collects the average values of natural frequencies for each group of four cables, on the downstream (D) and upstream (U) side, respectively.
A preliminary analysis of the identified frequencies allowed to conclude that the longer cables (e.g., belonging to groups 1D and 1U) slightly deviate from the ideal taut string model. All the measured natural frequencies of these cables resulted in fact close to integer multiples of their fundamental frequency, with deviations at most equal to 3 % for higher order frequencies. A slightly worst agreement was found for cables belonging to groups 2D and 2U, with percentage deviations around 5-6 %. The need of a more sophisticated mechanical model of cable for the shortest stays belonging to groups 3D and 3U, finally, was clearly suggested by deviations from the ideal taut string up to 16 % for the 5th and 6th frequencies.
Each cable was modelled as a pinned-pinned uniform straight elastic beam subject to an (unknown) axial force T, T [ 0. The small, undamped, in-plane bending free vibrations of the beam with radian frequency x are governed by the eigenvalue problem y 0000 À 2ay 00 À by ¼ 0; in ð0; LÞ; yðxÞ ¼ y 00 ðxÞ ¼ 0; at
where ðÁÞ 0 ¼ dðÁÞ dx and
In the above equations, E ¼ 206 GPa is the Young's modulus of the material; q ¼ 24:86 kg/m is the mass density per unit length; I ¼ 7:981 Â 10 À7 m 4 is the moment of inertia of the cross-section of the beam with respect to a principal axis; L is the length of the beam.
The general solution to (1) 
where the positive numbers p 1 , p 2 are 
By (4) and (8), the nth frequency x n has the closed form expression
and, inverting (9), we have
Formula (10) shows that the axial force T can be uniquely determined from the knowledge of a single natural frequency x n , provided that L, q, EI are known quantities. In order to determine T, a reasonable choice is to use the fundamental frequency x 1 , for which the experience suggests that a better agreement between theoretical and experimental/actual value is expected. However, the estimate of the fundamental frequency may be affected by experimental errors and, moreover, the fundamental frequency is the most sensitive to the boundary conditions that, in the present case, were assumed corresponding to the ideal case of pinned ends. Therefore, with the aim of improving the estimate of the axial force T, a least-squares-like procedure was implemented. More precisely, for each cable, the error function
was introduced, where
2p are the nth experimental and theoretical frequency of the cable, and N is the number of first frequencies considered in identification, N ¼ 1; . . .; 6. For each N, the optimal value of the axial force T N opt was then determined as
where T Rd is yield value of the axial force. A standard gradient-descent based algorithm was used to solve numerically (12) by adopting the estimate of T obtained from the fundamental frequency measurement as initial point in minimization. Results are collected in Tables 4 and 5 . The optimal value of the axial force on each of the four cables composing the groups 1, 2 and 3, on downstream and upstream sides, is collected in Table 4 . Generally speaking, the values T N opt are rather stable with respect to N. With the exception of the estimate obtained with N ¼ 1 for groups 1D and 1U, maximum deviations are of about 1-2 % the average value
opt for each cable. The overestimates associated to the fundamental frequency in longer cables belonging to groups 1D and 1U are often related in the literature to the effect of the cable sag [9] .
Average axial cable values are collected in Table 5 , together with the maximum deviation from the average axial force in each group of cables. It can be seen that the maximum deviation is negligible (around 2-3 % of the mean value) for the four cables of groups 1D, 1U. On the contrary, the cable axial forces in the other groups show maximum deviations up to 16 and 11 %, for groups 2D and 3U, respectively. In spite of these important discrepancies, the global axial force acting on a group of cables aligned on the same transverse cross-section and located upstream and downstream was almost identical, thus confirming the global symmetry of the cable system supporting the bridge deck.
Finally, Table 5 compares the experimental average axial forces T opt group on each group of cables with the corresponding FEA mean values T opt group;M02 derived from the M02 FE model presented in Sect. 4.2. For groups 2U and 2D, it can be seen that the discrepancies between experimental and FEA average values are acceptable, and around 10 %. In case of group 1 (cables close to the National Route n.13) and group 3 (cables on the pylon side), on the contrary, a marked difference was found between the corresponding force values, with discrepancy up to 25 %, in absolute value. One motivation of this large inaccuracy may be connected with the absence-in the above presented FE model-of reference to well-defined construction phases for the cable-stayed bridge under study, since the self-weights and dead loads were applied directly to the final geometrical configuration of the structure. This confirms the usefulness of dynamic testing on estimating the axial force in cables of stayed-bridges.
It should be also noted that additional calculations carried out on the M02 FE model subject to the identified values of the cable axial forces (e.g., average experimental values derived from Table 5 ), resulted in identical mode ordering and maximum discrepancy on natural frequencies up to 0.02-0.04 % with respect to the values collected in Table 2 .
Sensitivity of the bridge to damage in stay cables
During the year 2010, the stay-deck connection detail of a cable belonging to the group 2U collapsed. Moreover, failure after repair occurred at the same place in a different cable of the same group. According to Table 5 , the marked difference in identified axial forces on the cables belonging to groups 2 could be considered as symptom of a potential anomaly of the suspension system. Consequently, with the aim of investigating the sensitivity of the natural frequencies, vibration modes and axial forces on the stays with respect to possible damage on the suspending system, an extensive numerical analysis was carried out by using the refined M02 FE model (M02-FULL, in the following) as reference configuration for the undamaged bridge. Among several simulations, six damage scenarios will be considered in the sequel. They correspond to separately removing one or two cables from the groups 1U, 2U and 3U of cables. Both the
Step I and Step II described in Sect. 4.2 were carried out for each one of these configurations.
The main results of numerical simulations are collected in Table 6 and Figures 12, 13, 14, 15 and 16 . The labels '1U-1' and '1U-2' denote the damage in one or in two cables belonging to the group 1U, respectively. As shown, an appreciable sensitivity of the bridge eigenproperties to the induced damage was generally found, hence highlighting the usefulness of diagnostic investigations based on modal data. 
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In terms of natural frequencies (see Table 6 ), all the damaged models generally showed small reduction, ranging from 0.5 to 1 % of the M02-FULL undamaged values. In few cases only, large variations up to 5 % were found. Negligible frequency sensitivity to damage was also generally noticed for higher order modes, e.g., OMA modes 5 and 6. It should be noticed that reference to the experimental OMA mode ordering will be made in the remaining part of this section (see Table 6 for the correspondence with M02 FEA order).
Worth of interest is the effect of damage on the lower vibration modes of the bridge. The bridge manifested an appreciable sensitivity of OMA mode 0 to damage. In particular, Fig. 12 shows that progressive removal of a single or two cables in the groups 1 and 3 resulted in increasing mode shape discrepancy with respect to the undamaged configuration. On the contrary, OMA mode 0 subjected to damage in the central group 2 highlighted an apparent misleading modification of the modal shape, where the effect of removing a single cable seems larger than that induced by the removal of two cables, see Fig. 12 (scenarios 2U-1 and 2U-2). The reason of this finding is related to the vicinity of the natural frequencies of the two modes, e.g., 1.599 and 1.619 Hz in the undamaged configuration. A detailed numerical study was carried out to assess the sensitivity of this pair of natural frequencies and related mode shapes. Figure 13 shows the behavior of the natural frequencies of OMA modes 0 and 1 in the 2U-1 and 2U-2 damage configurations. Natural frequency values are evaluated as functions of the damage ratio R d ¼ A cable;dam =A cable , where A cable;dam and A cable denote the cross-section area of the damaged and undamaged state, respectively. It can be seen that the increasing of the damage leads to a resonant frequency with multiplicity two. As a consequence, the two corresponding vibration modes, whose spatial shapes are of well-defined character before and after the intersection point, mix each other giving rise to a sort of mode hybridization.
Besides this case, appreciable modifications were also found in the mode shape of OMA modes 1, 3 and 4. Some comparisons are proposed in Figs. 14 and 15 , where the modal amplitudes obtained from the M02 damaged FE model are compared with the corresponding reference M02-FULL estimations. It turns out that damage in one or two cables-for the majority of the case studied-generally coincides with a loss of symmetry of the mode shape with respect to the transverse axis of the deck (see, for example, OMA mode 3 in Fig. 15) .
Finally, the effect of damage on the axial forces in the cables was investigated. Some comparative results are collected in Fig. 16 , where the maximum variation of axial force on each group of cables, with respect to the average value for the group of stays in the undamaged state, are proposed for the examined damage scenarios. As shown, the removal of one or two cables in a given group of stays generally resulted in marked modification of axial force values on the same group, but variable force modifications on the other upstream groups of stays (depending on the position of localized damage) and almost negligible variations (in the order of 2-5 %) for the cables on the downstream side of the deck. Largest sensitivity to damage among all the upstream groups was found, in particular, in the group 2U, as demonstrated by almost comparable increase of axial forces on the 2U group (15 and 32 % for the scenarios 2U-1 and 2U-2, respectively) and also in the adjacent 1U and 3U groups. The application of damage on the 3U group, conversely, highlighted a predominant variation of axial forces on the same 3U group only. In this case, moderate variations of axial force were in fact noticed for all the other upstream cable groups, while almost negligible effects were again found on the downstream side. Axial force variations and sensitivity to the position of possible localized damage in the suspending system, in conclusion, could certainly represent useful symptoms for diagnostic interpretations. This is particularly evident for those cases (see, for example, Table 6 and Fig. 14 , configurations 3U-1 and 3U-2) in which the variation of mode shapes and corresponding natural frequencies does not reflect any marked damage, compared to the changes of axial forces on the cables, hence suggesting a diagnostic analysis based on multiple aspects. A dynamical characterization of a cable-stayed bridge based on ambient vibration testing and operational modal analysis has been presented in this paper. The correlation between experimental data and numerical predictions was carried out by means of finite element models of increasingly accuracy. A manual tuning procedure was adopted for the development of an appropriate numerical model of the bridge. The mechanical interaction between some components and description of boundary conditions turned out to be relatively complex. A detailed representation of these structural details was achieved by providing a sufficiently refined mesh and a realistic modelling of the constraints at the longitudinal deck girder ends and at the bottom basis of the pylons of the bridge tower. Moreover, a refined description of the connection between cables and tower, and cables and deck was required to obtain an accurate prediction of the dynamic response of the structure. Estimation of the axial force acting on the steel cables has been also developed, based on local dynamic experiments carried out on the bridge stays and a variational-type identification procedure. The interpretation of the results highlighted an almost uniform distribution of axial forces in symmetrical group of cables, but, at the same time, pointed out significant discrepancies between the axial forces of cables belonging to a same group, thus suggesting the presence of potential anomalies and the need of further investigations.
